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Abstract
A large number of infilled RC frame buildings have undergone moderate to extensive structural damages and even collapsed 
after the 2015 Gorkha earthquake. The repair and maintenance works are still being carried out in the existing RC build-
ings, many of them without any consultation with design engineers. Such practices are likely to create a benefit of doubt 
on the efficiency of the retrofitting works and repair/maintenance works. Therefore, the present study aims to evaluate the 
seismic performance of the existing non- and pre-engineered buildings, and later employed retrofit measures that are com-
monly practised in the region. The analytical results revealed that the selected buildings were seismically deficient and are 
most likely to undergo extensive damage to collapse states, at 0.3 g PGA. It was found that the retrofit measure significantly 
enhances the stiffness, maximum strength and ductility in the existing buildings. The pushover curves indicated that the steel 
bracing highly increased the stiffness, strength and ductility capacity in all case study buildings. The steel-braced building 
was recorded to have increased the maximum base shear capacity by almost ten times for the soft-storey MRT1 building. 
Similarly, the retrofit measures also eliminated the potential single storey drift concentration recorded in the original build-
ing, such that a uniform inter-storey drift profile can be attained throughout. The conditional probability of collapse for the 
case study buildings, at 0.3 g PGA, ranges from 13.5 to 42% and could be minimized below 4% in the worst case scenario for 
the shear wall. All the numerical results demonstrated that steel bracing was much more effective in enhancing the seismic 
performance of the existing buildings.

Keywords Non-engineered and pre-engineered buildings · Retrofit techniques · Irregularity of infill panels · IDA curves · 
Fragility curves

Introduction

The interaction of masonry infill panels on the frame struc-
tures has been investigated by many researches over the 
past four decades. The past earthquake around the globe 

and its consequences on the infilled RC frames showed both 
positive and negative contributions of infill panel. The posi-
tive advantage includes increase in stiffness and strength 
by many folds compared to the bare frame and soft storey 
buildings, which reduces the inter-storey drift throughout the 
height (Fiorato et al. 1970; Dumaru et al. 2016; Chaulagain 
2015; Asteris et al. 2011; Bertero and Brokken 1983; Fur-
tado et al. 2015). However, this phenomenon is true for low- 
to medium-magnitude earthquakes, in which the demand is 
lower than the building capacity (Varum 2003). In addition, 
the experimental tests and the site survey after earthquakes 
revealed that the presence of infill panels even in non-ductile 
seismic deficient RC buildings largely reduces the probabil-
ity of higher damage states (such as partial collapse and 
collapse) (Sattar 2013). Most of the collapsed infilled RC 
frame structures recorded after the Gorkha earthquakes 
were due to vertical irregularity of the infill wall, leading 
to the failure of the building under soft-storey mechanism, 
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the main disadvantage of infill walls (Varum et al.  2017, 
2018; Sharma et al. 2016). For large-magnitude earthquakes, 
the evenly distributed infill walls could also lead to various 
failure mechanisms, such as soft-storey, short column and 
shear failure in column, most likely due to brittle behaviour 
and various associated failure modes.

The present study classified the selected existing build-
ings into two design approaches based on the structural 
section sizes and reinforcement details. It includes non-
engineered and pre-engineered buildings; the state of the 
building and its structural section sizes are presented in 
Table 1. The non-engineered building represents building 
built before the introduction of any design codes, i.e. built 
before 1990s, and such buildings are seismically deficient 
and designed to carry only gravity loads. In addition, site 
survey after 2015 Gorkha earthquake showed that most 
of the pre-engineered buildings were found to have been 

built based on the strong-beam and weak-column design 
approach. In addition, such buildings possess poor concrete 
quality, inadequate longitudinal reinforcements and largely 
spaced lateral ties (poor confinement), insufficient effec-
tive cover in beam and column, short-column formation at 
the stair landing and irregular distribution of infill panels. 
Past earthquakes and experimental researches revealed that 
such buildings around the globe mostly failed under soft 
storey, due to large seismic demand concentration in a single 
storey under seismic actions (Varum et al. 2018; Sharma 
et al. 2016). The risk of collapse of non-ductile reinforced 
concrete (RC) frame structures is 40 times higher (in terms 
of annualized risk) than modern frames (Liel et al. 2010). 
Similarly, when non-ductile RC frames are subjected to 
earthquakes of 2500 return period, the conditional probabil-
ity of collapse ranges from 60 to 90% (Liel 2008). Almost 
6613 infilled RC buildings totally collapsed and 16,917 

Table 1  General description of case study buildings

Building class Damage state Building name Num-
ber of 
storeys

Section size Plinth area  (m2) Remarks

Column  (mm2) Beam  (mm2)

Non-engineered Non-damaged Mitra Chaphakhana 
(CCP1)

3 230 × 230 230 × 330 70

Damaged Suwal House (CCP2) 4 230 × 230 230 × 330 69.60

Pre-engineered Non-damaged Bare frame (MRT1) 3 300 × 230 230 × 355 100

230 × 230
Φ 230

Damaged Twayana House 
(MRT2)

4 270 × 270 230 × 330 133
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were partially damaged due to the Gorkha earthquake: 
mostly non-engineered and few pre-engineered buildings 
(https ://www.world visio n.org/disas ter-relie f-news-stori 
es/2015-nepal -earth quake -facts ). Although the number of 
damaged/collapsed buildings was less in comparison to the 
total damaged buildings, the level of destructions in terms 
of monetary loss and human injuries and casualties were 
extremely high. Over time, the design philosophy and con-
struction methods have been improved a lot in Nepal and this 
is visible in the existing buildings built between 2000 and 
2005 before the actual implementation of design guidelines. 
Initially, Nepal Building Code NBC 205:1994 (1994), also 
commonly known as Mandatory Rule of Thumb (MRT), 
was implemented in 2005 and enforced as mandatory in all 
municipalities. However, this design guideline was utilized 
for drawing approval from the concerned authorities and 
does not match with the real construction site. Some major 
modifications are related to the structural section and rein-
forcement details and number of storeys, although the design 
guideline is clearly intended to be useful only for regular and 
three-storey buildings. The selected pre-engineered build-
ings do not follow all design guidelines, as it is difficult to 
find ideal MRT buildings due to the above-mentioned modi-
fications in the buildings. Therefore, the present study clas-
sified two existing buildings that were built between 2000 
and 2015 as pre-engineered buildings based on the recorded 
structural column sections and reinforcement details.

Three retrofit measures were employed that are commonly 
practiced in Nepal in each case study buildings and their 
effectiveness in enhancing the seismic performance evalu-
ated. It includes concrete column jacketing, circular hollow 
section (CHS) steel bracing, and addition of RC shear wall. 
The primary objective of introducing retrofit measures was 
to minimize structural irregularities, correct discontinuities, 
complete the load path, uniformize inter-storey drift and 
obtain a regular structure for improving the seismic perfor-
mance. Based on the trend of retrofit practice in Nepal, the 
concrete jacketing is one of the most widely practiced retrofit 
methods, as it does not require highly skilled manpower. It 
was carried out by enlarging the existing column section by 
adding new layer of confining concrete and reinforcing with 
longitudinal and transverse reinforcements. This method is 
particularly used for the repair and maintenance of damaged 
columns and beams in the building. The experimental inves-
tigations concluded that jacketing is found to be effective in 
improving the stiffness, lateral strength and energy dissipa-
tion capacities in the existing non-ductile structures (Goel 
and Lee 1990; Alcocer 1993; Altin et al. 2008; Chrysosto-
mou et al. 2013). In addition, it also considerably enhances 
the shear capacity, flexural stiffness and deformation capac-
ity of damaged or weak members (Varum 2003; Eurocode 
2005; Kaplan et al. 2011). The external use of bracing ret-
rofit has unpleasant artistic view, but it is easy to apply and 

does not disturb the occupants during its maintenance. Previ-
ous experimental works revealed that it effectively increases 
the in-plane shear strength and displacement ductility of the 
concrete frame (Mehrabi et al. 1996; Tasnimi and Masoomi 
1999; Youssef et al. 2007). It has significant contribution 
to the global structural stiffness and also reduces the maxi-
mum inter-storey drift (El-Amoury and Ghobarah 2005). In 
addition, it also increases both stiffness and strength; how-
ever, there is a failure of the steel specimen under excessive 
overall buckling, followed by a secondary local buckling 
in the compression side, at or near the mid-length of the 
specimen (Gao et al. 2013). The main objective of adopt-
ing RC shear wall as retrofit measure was to increase the 
global lateral stiffness and strength. The experimental test 
results concluded a substantial increase in lateral stiffness 
and strength and also increases in the energy dissipation 
capacity of the building and, if properly located, also reduces 
the plan irregularities that enhance the building seismic per-
formance (Kaplan et al. 2011; Bush et al. 1990). Taghavi 
and Miranda (2003) revealed that the intervention of retrofit 
measures reduced the damages to the non-structural com-
ponents in terms of total monetary loss by approximately 
62, 70 and 48% of the total investment in office, hotel and 
hospital buildings, respectively. The present study employed 
the retrofit measures only in the structural elements, but the 
reduction of the seismic demand has a direct reduction of 
the non-structural drift. In addition to the increase in the 
seismic performance of the existing buildings, the present 
study also aims to reduce or minimize the potential human 
injuries and fatalities. The applicability and suitability of 
the retrofit measures in the existing buildings are mainly 
governed by its associated cost and benefit attained in future; 
thus, the study intends to introduce retrofit measures con-
sidering both enhancing seismic performance and reducing 
the potential cost (economic) so that maximum benefit can 
be obtained in future.

General description of the case study 
buildings

The four existing buildings were selected, representing two 
each for non- and pre-engineered design buildings that were 
recorded as damaged and undamaged during the Gorkha 
earthquake, as presented in Table 1. The selected buildings 
were grouped into the respective building classes, based 
on the structural column sizes and reinforcement details, 
as observed and measured during site survey. The entire 
case study buildings were located in Bhaktapur, Nepal. The 
non-engineered buildings were provided with a constant 
slab thickness of 100 mm and pre-engineered buildings 
with 125 mm thickness. Two types of unreinforced solid 
masonry infill walls were provided, such as external infill 

https://www.worldvision.org/disaster-relief-news-stories/2015-nepal-earthquake-facts
https://www.worldvision.org/disaster-relief-news-stories/2015-nepal-earthquake-facts


442 International Journal of Advanced Structural Engineering (2018) 10:439–464

1 3

wall of 230 mm thickness mostly located in the periphery 
of the building and internal infill wall of 110 mm thick-
ness functioning as the partition walls. In some cases, a wall 
thickness of 110 mm was found to be used as the external 
infill wall as well.

The CCP1 building was built in 1985 using local knowl-
edge and skill, representing common buildings that were 
built before implementation of design guidelines. Figure 1a 
presents the CCP1 building floor and is symmetrical in 
plan, having four bays in the N–S (north–south) direction 
and two bays in the E–W (east–west) direction. The uni-
form inter-storey height of 2.43 m is provided throughout, 
such that the total height of the building is 9.7 m. Simi-
larly, the total plinth area of the building is approximately 
70 m2, where it possesses maximum bay length of 2.7 m 
along the N–S direction and 4.2 m along the E–W direc-
tion. The columns are reinforced with uniform longitudinal 
bars of 4 Φ 12 and the beams are reinforced with top bars 
of 3 Φ 12 and bottom bars of 2 Φ 12. These are confined 
with transverse one-legged reinforcement bars of Φ 6 and 
are uniformly spaced at 150 mm from the centre throughout 
the height. The CCP2 building is a four-storey ordinary RC 
frame building infilled with URM panels and is located in 
Ghalate, Bhaktapur, Nepal. The building was built in the late 
1980s, which also marks the beginning of RC construction 
in Nepal. It is rectangular in plan with some vertical irregu-
larity at the ground floor, such that one complete bay along 
the E–W direction is without infill panels. It was constructed 
in two stages; the first two storeys possess uniform inter-
storey height of 2.75 m and the remaining two storeys have 
2.3 m, and thus the total height of the building is 10.3 m. 
Figure 1b illustrates the CCP2 building plan having two bays 
along the E–W direction and three bays in the N–S direc-
tion. It has a maximum bay length of 4.2 m and 3 m along 
the N–S and E–W directions, respectively. The total length 
is 11.16 m along the building’s N–S direction and 5.95 m 
along the E–W direction, such that the total plinth area is 
approximately 69.60 m2. The column is reinforced with lon-
gitudinal bars of 4 Φ 12 and reinforced in the beam; the top 
reinforcement is 4 Φ 12 and the bottom reinforcement is 3 Φ 
12. In addition, the lateral ties are one-legged, Φ 6 mm and 
uniformly spaced at 150 mm from the centre throughout the 
column and beam height.

The MRT1 is a bare frame building of three storey and 
was built in 2005 at the beginning of the MRT guideline 
implementation. It was without infill walls and was aban-
doned, as observed during the site survey (see Table 1). 
It reflects the construction practices of the locality, where 
initially buildings are built as a bare frame of the required 
storeys and after a certain time interval the infill walls are 
erected, beginning from the ground floor, depending upon 
the financial wherewithal of the owner. The MRT1 build-
ing possesses structural plan irregularity, where structural 

circular columns at the ground floor are replaced by rectan-
gular columns in the first floor, and the lack of column at 
the beam–beam joint also increases plan irregularity. The 
building was also selected due to the opportunity of having 
a fully characterized bare frame building, where a differ-
ent infill masonry scenario can be added, and vulnerability 
assessment for different dispositions can be investigated 
through static and dynamic analyses. The building possesses 
uniform inter-storey height of 2.74 m, such that the total 
height of the building is 10.96 m, which includes the stair 
cover portion at the top floor. It has four bays in the E–W 
direction with a maximum bay length of 4.7 m and two bays 
in the N–S direction with a maximum bay length of 3.5 m, 
and the total plinth area of the building is approximately 
100 mm2. The building possesses uniform beam section 
(230 × 355)  mm2 including a slab thickness of 125 mm. All 
the columns are reinforced with longitudinal reinforcement 
of (4 Φ 16) + (2 Φ 12) and with reinforced beam with top 
reinforcement of 3 Φ 16 and bottom reinforcement of 3 Φ 
12. Furthermore, the transverse reinforcement of 2 legged of 
Φ 7 mm are uniformly spaced of 150 mm centre throughout 
the beam and the column height. Finally, the MRT2 build-
ing is a five-storey building that includes one basement and 
was constructed in 2004, which also marked the beginning 
of the MRT guideline approval and implementation (NBC  
205:1994 1994). Figure 1d demonstrates the MRT2 build-
ing plan having five bays along the E–W direction with 
a maximum bay length of 3.58 m and two bays along the 
N–S direction with a maximum bay length of 2.97 m. The 
total height of the building is 12.58 m including the base-
ment, where the building has uniform inter-storey height 
of 2.52 m. The building possesses a uniform beam section 
of (230 × 330)  mm2 including constant slab thickness of 
125 mm. The building is reinforced with longitudinal rein-
forcements in the column containing (4 Φ 16) + (2 Φ 12), 
and in the beam, top reinforcement of (2 Φ 16) + (1 Φ 12) 
and bottom reinforcement of 2 Φ 16. The transverse rein-
forcement of Φ 8 mm is uniformly spaced at 150 mm from 
the centre throughout the beam and the column height.

The floor beam plan layout for all case study buildings 
is shown in Fig. 1. The plan layout for the CCP1 building 
is similar throughout. Similarly, the layout for the CCP2 
building is also similar throughout except at the top floor 
plan, where it is without grid 1–2 floor area. The first floor 
plan for the MRT1 building is similar to the ground floor, 
but at the second floor the projected floor area covered by 
grid A–B and grid 5–6 are removed. The floor plan of the 
MRT2 building is similar up to the third floor, whereas the 
top floor only contains the floor area of grid 1–2.

In addition to the field survey, two types of in situ field 
tests were performed on the case study buildings: Schmidt 
hammer tests and ambient vibration tests. The Schmidt ham-
mer test was performed to identify an accurate estimation of 
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the existing concrete strength of the buildings, as the behav-
iour of the structure is highly influenced by the quality of 
the concrete. The recorded concrete strength was utilized for 
model calibration, where the comparison of global frequen-
cies between the numerical and experimental was carried 
out. The experimental frequencies were measured or cap-
tured with the help of ambient vibration tests which helps to 
acquire the fundamental frequencies and vibration modes. 
The cracks observed in the model were integrated into the 
model through the adjustment of the modulus of elasticity 
of the infill panel. The detailed description of the test results 
and parametric study performed is out of the scope of the 
present study; hence, the readers are requested to look at the 
thesis report.

Retrofit strategies and layout

The preliminary seismic performance investigations on the 
existing case study buildings concluded that it revealed poor 
and inadequate seismic performance; thus, retrofit measures 
were recommended and introduced in the buildings. The 
present study discussed the results in detail through the 
comparison between the performance of the existing build-
ings with and without retrofit measures in terms of pushover 
curves, inter-storey drift profile, IDA curves and fragility 
curves, to justify the suitability of the selected methods. 
To achieve these objectives, a representative retrofit layout 
adopted for the CCP1 building is shown in Fig. 2. One of the 
initial questions considered was related with the selection of 
columns for jacketing. Mostly critical columns (critical in 
shear force and bending moments), such as corner columns 
and short columns were selected for jacketing. The jacket-
ing section was designed following the procedures given by 
IS 15988:2013 (2013) guideline, and Sect. 8.5.1.1. For all 
the case study buildings, the IS 15988:2013 (2013) design 
code specified a minimum thickness of jacket not less than 
100 mm in each face of the existing columns. A constant 
compressive strength of new jacket concrete material was 
assumed to be 20 MPa, such that added concrete material 
has compressive strength at least 5 MPa more than in situ 
test results. The yield strength of the reinforcement and 
Young’s modulus of elasticity were considered as 415 N/
mm2 and 2 × 105 N/mm2, respectively. The longitudinal bars 
can be efficiently anchored to the footing by applying two-
component epoxy resin. If continuity of longitudinal bars 
in jacketing was needed between floors, holes were drilled 
in the slab to pass through. This method helps to increase 
column shear strength and ductility (Júlio et al. 2003). The 
jacketing elements were reinforced with longitudinal bars 
of minimum Φ 16. In addition, the lateral ties have a mini-
mum of Φ 8 and anchored at 135° and uniformly spaced at 
100 throughout the column height. The number of columns 

required to be jacketed in each floor and the number of sto-
reys were evaluated through the attained building response, 
i.e. in terms of maximum inter-storey drift as an engineering 
demand parameter (EDP) w.r.t. IMs, as the drift was shifted 
from the retrofit storeys to non-retrofit storeys. Similarly, 
the X-steel bracing was employed as circular hollow section 
(CHS) in the present study. The outer diameter and thickness 
of CHS for each case study building varies and was designed 
following the procedure specified in the standard steel code, 
i.e. IS 800:2007 (2007), taking into account the safety 
against buckling failure, which is mainly caused by axial 
forces and also verified if the design section is safe against 
given seismic loading. Its location and orientation were 
planned in such a way that minimize the eccentricity due to 
irregular distribution of infill walls and structural members, 
reduced or eliminated internal torsional-rotation effects, and 
maximized damping. Similarly, the necessity of bracing in 
the consecutive upper floors was evaluated through attained 
inter-storey drift along the height for the subjected IMs. The 
present study employed bracing elements in upper floors as 
well, due to drift shift in consecutive unbraced upper floors 
introduced from the lower braced floor. However, its sec-
tion intends to reduce in the upper floors to meet the seis-
mic demand, such that the building’s stiffness and strength 
could be uniformly distributed throughout. The modulus 
of elasticity and yield strength of steel were considered to 
be 2 × 105 MPa and 355 MPa, respectively. Furthermore, 
the design of shear wall begins with assumed width and 
thickness, such that a minimum thickness should not be less 
than 150 mm, whereby various design checks were carried 
out with reference to IS 13920:1993 (1993). The RC shear 
walls were reinforced with longitudinal reinforcements in 
two curtains and transverse reinforcements distributed uni-
formly in the plane of the wall. A minimum reinforcement 
of 0.25% of the gross area in each direction was provided 
and distributed uniformly across the cross section of the 
wall. A constant concrete compressive strength of 20 MPa, 
yield strength of reinforcements of 415 N/mm2 and Young’s 
modulus of elasticity as 2 × 105 N/mm2 were assumed in 
the study. A minimum of two shear walls in each direction 
was assigned to minimize eccentricities. The location and 
orientation of the RC shear wall depends on the existing 
building geometry and also the orientation of structural and 
non-structural elements. These elements were prioritized at 
large structural deficient joint or area of the building. Gener-
ally, these elements were placed between the columns, but in 
the present study, it was provided at the face of the column, 
where the centre of the column coincides with the centre 
of the shear wall and its width extended equally on both 
ends. Similarly, the number of storeys and the sections of 
the shear wall required to be provided were mainly governed 
by the respective floor inter-storey drift. Here, the shear wall 
was extended throughout having constant thickness, but the 
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width of the shear wall was reduced along the height to 
meet the seismic demand and also to attain uniform drift 
throughout. This strategy could highly control the drift con-
centration in each storey, such that comparable stiffness and 
strength in each storey can be attained throughout.

The CCP1 building was assigned with uniform jacketed 
column section (430 × 430)  mm2 throughout. It was rein-
forced with 4 Φ 20 longitudinal bars at the corners and 4 
Φ 16 bars at the middle. The lateral ties of Φ 10 uniformly 
spaced at 100 mm from the centre were assigned throughout 
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the column height. A total of 9 columns out of 14 columns 
were jacketed at the ground and first storeys, as illustrated in 
Fig. 2a. It includes three columns from grid c–c, two from 
grid b–b and four columns from grid a–a, represented by 
enlarged column sections (see Fig. 2). The first floor jack-
eting layout was replicated in the second floor, but jacket-
ing columns from grid c–c and three intermediate columns 
from grid a–a were removed. A typical jacketing column 
layout and reinforcement detail are presented in Fig. 2. As 
an alternative retrofit measure, the CCP1 building adopted 
CHS steel bracing; a typical plan layout is shown in Fig. 2b. 
The building is considered to have uniform CHS throughout 
for numerical simplicity. The assigned CHS has 130 mm 
outer diameter and 8 mm thickness, and the yield strength 
is considered as 355 MPa. Figure 2b presents the bracing 
floor layout, where the ground and first storeys resemble 
similar layout, such that two bays from grid 1–1 and grid 
4–4 and additional one bay from grid a–a and grid c–c were 
braced, represented by dumbbell hatched surface. In addi-
tion, the first floor layout was reproduced in the second sto-
rey, but one bracing from each grid 1–1 and grid 4–4 were 
removed, indicated by the solid hatched surface in Fig. 2b. 
Furthermore, two types of shear walls were provided in the 
CCP1 building, i.e. “Shear wall 1” and “Shear wall 2” at 
the exterior periphery of the building due to availability of 
construction space and easier construction. Figure 2c pre-
sents the shear wall layout, illustrating its orientation, sec-
tion size and reinforcement details. A total of four shear 
walls were considered in each storey, two in each direction 
so as to minimize the irregularities due to addition of new 
structural elements. It includes two types of shear walls, i.e. 
“Shear wall 1” and “Shear wall 2”, whose section size and 
reinforcement detail are shown in Fig. 2c. Both shear walls 
were reinforced in two layers with Φ 12 longitudinal bars 

and uniformly spaced, such that Shear wall 1 and Shear wall 
2 comprised 16 and 12 longitudinal bars, respectively. Fur-
thermore, it was reinforced with transverse reinforcements 
of Φ 12, uniformly spaced at 200 mm from centre through-
out. The ground and first storeys of the CCP1 building were 
considered to have four shear walls of the same section, i.e. 
Shear wall 1. The first storey layout was extended into the 
second storey, but Shear wall 1 was replaced with Shear 
wall 2.

For other case study buildings, the retrofit layout is not 
shown in the present paper, but the section sizes and rein-
forcement details adopted are summarized in Table 2. Two 
types of concrete column jacketing were employed for the 
CCP2 building: J1 and J2. A total of 7 columns were jack-
eted out of 12 columns at the ground floor and continued 
in the first and second floors (includes entire columns of 
grid a–a and grid d–d, and central column of grid b–b and 
central column of grid b–b). More columns were jacketed 
on the southern face of the building to counterbalance 
the eccentricity developed by the irregular distribution of 
infill walls and also to compensate the damage observed 
in the corner columns of grid a–a, mainly at the ground 
floor. Similarly, in the top floor the central column of grid 
b–b and the entire columns of grid d–d were jacketed. The 
steel bracing for the CCP2 building had a uniform section 
of outer diameter 100 mm and 5 mm thickness. Two steel 
bracings along the longer direction and four bracings along 
the building shorter direction were provided, starting from 
the ground to second floors. In the top floor, two bracings 
in each direction were provided. The building was assigned 
with two types of shear wall: one barbell type and the other 
simple type. At the ground floor, the longer direction of the 
building was provided with two barbell-type shear wall, and 
the shorter direction with three shear walls (i.e. two barbell 

Table 2  Summary of the 
detailing retrofit methods 
assigned for the case study 
buildings

Bldg. name Retrofit methods

Jacketing Bracing Shear wall

Section  (mm2) Total long. 
reinforcement 
 (mm2)

Outer 
dia. 
(mm)

t (mm) Section  (mm2) Total long. 
Reinforcement 
 (mm2)t (mm) b (mm)

CCP1 430 × 430 4 Φ 20 + 4 Φ 16 130 8 150 2000 16 Φ 12
1500 12 Φ 12

CCP2 430 × 430 8 Φ 20 100 5 230 2000 24 Φ 12
430 × 530 8 Φ 20 230 1250 12 Φ 12

MRT1 480 × 530 8 Φ 20 130 8 230 2000 20 Φ 12
120 8

530 × 530 8 Φ 20 100 7 230 1200 12 Φ 12
70 5

MRT2 500 × 500 8 Φ 20 100 5 250 2500 24 Φ 12
140 7 250 1800 18 Φ 12

250 1400 14 Φ 12
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type and one simple type). Identical ground shear wall plan 
was extended up to the top floor plan, but simple shear wall 
type was removed after the ground floor. The extra shear 
wall at the ground floor was assigned to balance deficiency 
and eccentricity produced by the irregular distribution of 
the infill walls, where complete bay of grid a–a was without 
infill walls and the corner columns were also observed to 
be damaged.

The MRT1 building was employed with three types of 
jacketing: J1, J2 and J3. A total of 9 columns were jacketed 
out of 17 columns at the ground floor, which includes 2 end 
columns from grid 5–5, 3 columns from grid 4–4, 1 column 
from grid 3–3, 2 end columns from grid 1–1 and a central 
column from grid 2–2. The ground floor jacketing layout was 
replicated in the first and second storeys, but a column from 
grid 4–4-B–B (i.e. B-5) was removed. Similarly, the MRT1 
building was employed with four types of CHS: B1, B2, B3 
and B4. The bracing layout was similar throughout, where 
the entire bays of grid 1–1 and grid 5–5, and the end bays of 
grid B–B and grid F–F were braced. The ground floor was 
assigned with steel bracing B1 and B2 along the N–S and 
E–W directions, respectively. Similarly, the first floor was 
braced with bracing element B3, and in the second floor it 
was replaced with bracing element B4. Finally, the MRT1 
building was assigned with two types of shear wall: S1 and 
S2. The ground floor was provided with four shear walls (i.e. 
S1): two in each opposite direction. The shear wall of same 
section was assigned to minimize potential irregularities 
due to new added structural elements (shear wall) and also 
to neutralize or minimize the eccentricities in the existing 
building. This includes two shear walls constructed at the 
external face and remaining two shear walls internally. The 
shear wall configuration was extended throughout the build-
ing with modified section at the upper storeys. The MRT2 
building was provided with a uniform section of jacketing 
throughout. A total of 13 columns out of 20 columns were 
jacketed at the basement, including entire columns of grid 
1–1 and 6–6, 3 columns from grid 2–2, 1 central column 
from grid 3–3 and 2 end columns of grid 4–4. The basement 
layout was reproduced to the ground floor, where one of the 
columns from grid 2–2-C–C was not jacketed. Similarly, 
the jacketing layout was replicated in the first floor, where 
one central column from grid 3–3 was removed. Further-
more, the first floor jacketing layout was repeated at the sec-
ond floor, where jacketed column from grid 3–3-D–D was 
removed. Finally, the top floor was jacketed which consists 
of two columns from grid 1–1 and grid 2–2. Two types of 
bracing were considered, i.e. B1 and B2. The steel bracing, 
B1 was assigned along the building’s N–S direction and B2 
along the E–W direction. The bracing layout was identical 
to the basement and ground storeys, which includes all bays 
from grid 1–1, mid-bay from grid 2–2, one bay from grid 
6–6, two bays from grid E–E and also each bay from grid 

A–A and grid B–B. The bracing layouts for the first and 
second floors were also identical to that of the ground floor, 
but bracing from the end bays of grid 1–1 was removed. The 
building was provided with three types of shear wall: S1, 
S2 and S3. Three shear walls were provided (two external 
and one internal) along the N–S direction and two along the 
E–W direction of the same section, i.e. S1 at the basement 
and ground floors. Similar shear wall layout was extended 
up to the second floors, but S1 was replaced with S2 along 
the E–W direction. Furthermore, the top floor was provided 
with two shear walls only in the N–S direction.

Modelling approach

The case study buildings with and without retrofit measures 
were modelled using SeismoStruct software (Seismosoft 
2004), which is based on the fibre-based finite element anal-
ysis. The accuracy of the software was evaluated through 
the comparison between experimental and numerical results. 
The software contains verification reports for large sets of 
models and its validation with the experimental results 
under linear and non-linear analyses (Seismosoft 2004). 
Similarly, Smyrou et al. (2011) and Rodrigues (2012) also 
performed a large set of numerical analyses and concluded 
that the SeismoStruct results hold a good agreement with 
the experimental results. In addition, (Delgado et al. 2005; 
Savoia et al. 2010; Shokrzadeh and Miri 2012; Barkhordari 
et al. 2013; Furtado et al. 2014) carried out tests for different 
strengthening techniques, validated numerically using differ-
ent commercial softwares and revealed that the SeismoStruct 
software results were in quite reasonable agreement.

All the beams, columns, jacketing elements, bracing 
elements and shear walls were modelled as inelastic force-
based frame element type. These elements were modelled 
by connecting two end nodes and were discretized into 
five integration sections to accurately model the soften-
ing range. Each cross section was again divided into 150 
section fibres except in the case of shear wall, which was 
divided into 200 fibres. Each fibre is associated with uni-
axial stress–strain relationship and the sectional behaviour 
of the beam–column elements were obtained through the 
integration of the nonlinear stress–strain response of the 
individual fibres. At the element level, all the frame elements 
were modelled as lumped plasticity model except the shear 
wall, which was modelled as distributed plasticity as bend-
ing governs the structural behaviour and such type of ele-
ments were expected to exhibit significant shear cracks at the 
mid-height. The concrete nonlinear model is based on the 
consecutive relationship proposed by Mander et al. (1988), 
which emphasized the transition of the stress–strain relation 
upon the crack opening and closure. The uniaxial non-linear 
constant confinement model was considered as proposed by 
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Martinez-Rueda and Elnashai (1997), initially programmed 
by Madas and Elnashai (1992). The lateral transverse 
reinforcement confinement effect is incorporated by Man-
der et al. (1993), whereby constant confining pressure is 
assumed throughout the entire stress–strain range. The steel 
material is modelled as uniaxial bilinear stress–strain model 
with kinematic strain hardening, as proposed by Menegotto 
and Pinto (1973) and is coupled with isotropic hardening 
rules proposed by Filippou and Fenves (2004). Bauschinger 
effect (Bauschinger 1887) is considered in the model to rep-
resent steel degradation and consequently both the concrete 
and steel (i.e. column stiffness) degradation under cyclic 
loading. Under uniaxial compression, the concrete strain 
corresponding to the point of unconfined peak stress was 
assumed to be 0.002. For concrete model, the tensile stress 
capacity was assumed to be 0. The Poisson’s ratio (νc) for 
concrete under uniaxial compressive stress was considered 
to be 0.2. The modulus of elasticity of concrete (Ec) is cal-
culated using the empirical formula given by IS 456: 2000 
(IS 2000), Ec = 5000√fck, where fck is the concrete compres-
sive strength of 28 days. The specific weight of the concrete 
material (γc) is considered as 24 kN/m3.

Furthermore, the macro-model approach was used to 
model infill panels and assigned as inelastic infill panel 
element as proposed by Crisafulli (1997), which consid-
ered six struts. The two pairs of strut function as compres-
sion-tension diagonal struts that transfer the axial loads 
between the diagonal corners. A pair of shear struts with 

shear spring to carry the shear from top to the bottom of 
the infill walls, as illustrated in Fig. 3. It consists of four 
internal nodes to account for the width and height of the 
columns and beams, respectively, whereas four dummy 
nodes were employed to account for the contact length 
between the frame and the infill panel (Seismosoft 2004). 
No special intermediate bonding at the interface between 
the infill walls and frame elements was provided. There-
fore, the forces (i.e. moment and shear forces, etc.) from 
infill walls were transferred only at the connecting end 
nodes of the column. All the masonry modes of failure are 
difficult to capture due to large uncertainties and complex-
ity involved; thus, the present strut model considered a 
shear failure of the infill wall as utilized by Smyrou et al. 
(2011). The diagonal strut member has the same thick-
ness as that of masonry, but without considering the plas-
ter thickness and its length equal to the diagonal length 
between the compression corners of the frame. The effec-
tive width of the diagonal strut was estimated using the 
relation proposed by Holmes (1961). The cross-sectional 
area was obtained as the product of effective width and 
thickness of the strut. The opening in the infill walls was 
integrated in the model by reducing the value of the strut 
area that ranged between 30 and 40%, which is comparable 
to the one proposed by Pinho and Elnashai (2000).

A representative building model for the CCP1 building 
with various retrofit measures modelled in SeismoStruct 
software (Seismosoft 2004) is presented in Fig. 4.

Fig. 3  Six struts model for 
the infill panel proposed by 
Crisafulli 1997

Xoi

Yoi

hz

Internal node

Dummy nodedm

Compression/Tension Struts
1 2

34
Active (compression)

De-active tension

 Shear Strut

Fig. 4  Representative retrofit measure model for the CCP1 model in SeismoStruct software; a jacketing, b bracing and c shear wall, respectively
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Ground motion records selection procedure

The seismic vulnerability assessment of each case study 
building was performed using the incremental dynamic 
analysis (IDA) method. For this, a total of 21 recorded 
real ground motion earthquakes were selected from the 
real seismic events according to Macedo et  al. (2013) 
that matches with the target response spectra of the site. 
The present study selected the response spectrum for the 
Kathmandu Valley, similar to that defined in IS 1893(Part 
1): 2002 (IS 1893), for the zone V and medium type of 
soil, as demonstrated in Fig. 5a. Ram and Wang (2013) 
estimated the PGA values in the bedrocks of Nepal using 
a probabilistic approach. According to Ram and Wang 
(2013), the annual probability of exceedance of PGA val-
ues for a range of 0.07–0.16 g is 63%, PGA between 0.21 
and 0.62 g is 10%, and between 0.38 and 1.1 g is 2%, for 
earthquakes of return period 50 years. Similarly, Shrestha 
(2014) predicted the PGA values for the Kathmandu Val-
ley. The study revealed that there is 2% annual probability 
of exceeding, 0.31 g PGA, in 50 years that is equivalent to 
Modified Mercalli Intensity (MMI) of VIII. Furthermore, 
there is 10% annual probability of exceeding a PGA of 
0.18 g having earthquakes of 50 years return period, i.e. 
similar to MMI of VII. An earthquake of MMI IX that is 
comparable to the 1934 Nepal-Bihar earthquake of PGA 
between 0.5 and0.55 g has 0.7% annual probability of 
exceedance in 50 years (Shrestha 2014). Subedi and Para-
juli (2016) established that the earthquakes of 475 year 
return period can have maximum PGA of 0.3 g for hard 
soil, 0.4 g for medium soil and 0.5 g for soft soil.

The NBC 000:1994 1994 defined an earthquake of 
return period 50 years for the ordinary importance resi-
dential buildings, whereas for the strengthened buildings 
the return period was selected as 300 years. Therefore, a 
return period between 50 years and 300 years could be 
used for defining the damage and safety limit, respectively. 
Considering previous researches’ prediction in the con-
text of Nepal, the selected earthquakes have PGA ranges 
between 0.08 and 0.921 g. The selected ground motion 
records also matches the target spectrum having range of 
periods between 0.1 and 1.1 s that covers the fundamen-
tal periods of the entire case study buildings (Ricci et al. 
2016). The selected ground motion records have magni-
tude higher than 5.5 and an epicentre distance larger than 
10 km. All the real ground motion records considered in 
the study meet the target spectra (see Fig. 5b). In addi-
tion, the selection of ground motion records also ensures 
that for this period, and the spectral values of individual 
natural records are within a bound defined by ± 50% of 
the target spectral values. The selected ground motion 
records were scaled at the interval of 0.1 g and scaled up 
to 0.5 g. The maximum response under two components is 
usually more than one component in linear and nonlinear 
behaviour (Khoshnoudian and Poursha 2004; Lopez et al. 
2000). Therefore, the seismic excitation was subjected as a 
bi-directional component of the earthquakes applied at the 
support of the structures under arbitrary angle. Similarly, 
the components of record were rotated by 90°, such that 
the critical damage assessment can be identified for the 
structure. The arbitrary angle of seismic excitation can be 
varied from 0° to 180° at an interval of 1 degree to find the 
critical angle of incidence.

Fig. 5  a Expected response spectra for zone V and medium soil as per IS 1893and b elastic spectrum of real ground motion selected according 
to Macedo et al. (2013)
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Defined threshold limit states

Limit state is related with the state of a structure beyond 
which it no longer fulfils the defined design criteria. In other 
words, it is a measure to describe the state of the structure 
based on a predefined level of damage, such as cracking, 
yielding and collapse. Several researchers and various inter-
national guidelines proposed the threshold drift limits for the 
different types of buildings to define the performance limit 
states for RC building, such as FEMA-273 1997 (FEMA-
273 1997), SEAOCO-VISION (2000) (SEAOC 1995), Ros-
setto and Elnashai 2003), Ghobarah (2004), etc. The vari-
ous performance levels associated with the overall building 
response in terms of inter-storey drift limits for the frame 
without infills (i.e. bare frame) was proposed by FEMA-273 
(FEMA-273 1997) and SEAOCO-VISION (2000) (SEAOC 
1995). In addition, the threshold drift proposed by Ghoba-
rah (2004) was observed to be more conventional and con-
servative, as the infilled buildings were expected to collapse 
for a drift above 1%, which does not seem practicable and 
is not a usual scenario with recorded previous earthquake 
damages and collapse of the infilled buildings around the 
globe. Therefore, the present study aims to evaluate the state 
of the building through the comparison of the threshold as 
proposed by Rossetto and Elnashai (2003), as presented in 
Table 3. The illustrated drift limits are applicable for large 
building cases, such as non-ductile MRF, infilled MRF and 
shear walls. The present study considered four different 
building cases (one bare frame and other infilled); thus for 
consistent comparison, the inter-storey drift associated with 
all the categories was considered.

Results and discussions

Adapative pushover analysis

The increase in horizontal capacity of the existing buildings 
after intervention of retrofit measures was investigated using 
static pushover analysis. The pushover analysis was carried 
out for the MRT1 building using the conventional (uniform 
and triangular) and the adaptive (based on the response 
spectrum of the building) approaches to evaluate the capac-
ity of the as-built and retrofitted buildings (Dumaru et al. 
2016). However, it was observed that the adaptive pusho-
ver provides an intermediate capacity and provides closest 
results obtained with non-linear dynamic time history analy-
ses (Antoniou and Pinho 2004); thus, the study presented 
capacity curves based on this approach. Figure 6 presents 
the capacity curves for all the selected buildings with and 
without retrofit measures. The plot demonstrates a signifi-
cant increase in stiffness, strength, and ductility capacities in 
the existing building after introducing retrofit measures. The 
indices used in the plots represent building retrofitted with 
jacketing (J), bracing (B) and shear wall (S), respectively, 
and X and Y are the building X and Y directions, respectively. 
The entire capacity curves illustrated that the steel bracing 
attained the maximum gain in stiffness and base shear capac-
ity, followed by shear wall and jacketing, respectively. Fig-
ure 6a shows the capacity curve for the CCP1 building in 
both directions, and the retrofit measure increases the initial 
stiffness by four to seven times and maximum base shear 
capacity by two to three times in both directions relatively 
compared to the as-built CCP1 building. The capacity curve 
for the CCP2 building is shown in Fig. 6b, illustrating the 
increase in stiffness ranges from 1.5 to 2.5 times in both 
directions and increase in maximum base shear capac-
ity ranges from 2.2 to 3.7 times along the X direction and 
1.7–2.5 times in the Y direction as compared to the existing 
CCP2 building. The capacity curve for the MRT1 building 

Table 3  Inter-storey drift limit proposed by Rossetto and Elnashai (2003)

Damage state All Non-ductile MRF Infilled MRF Shear walls Expected damage in structural and non-structural elements

None 0 0 0 0 No damage
Slight 0.13 0.32 0.05 0.26 Fine cracks in plaster partitions/infills
Light 0.19 0.43 0.08 0.34 Cracks initiates at wall–frame interfaces, diagonal cracking of walls, 

limited crushing of bricks at beam–column connections
Moderate 0.56 1.02 0.30 0.72 Increased brick crushing at beam-column interfaces, some diagonal 

shear cracking in members especially for exterior frames
Extensive 1.63 2.41 1.15 1.54 Partial failure of many infills, heavier damage in frame members, some 

failure in shear
Part. collapse 3.34 4.27 2.80 2.56 Beams and/or column failure in shear causing partial collapse, near total 

infill failure
Collapse > 4.78 > 5.68 > 4.36 > 3.31 Complete or impending building collapse
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is illustrated in Fig. 6c, where the increase in initial stiffness 
was almost 3.5–7 times and maximum base shear capacity 
by 4–10 times. Figure 6d presents the capacity curve for the 
MRT2 building and shows that the shear wall exhibits lower 
ductility. Furthermore, the increase in stiffness was 1.5–3 
times in both directions and increase in maximum strength 
ranged from 1.3 to 2.3 times in the X direction and 1.5–3 
times in the Y direction relatively compared to the existing 
MRT2 building.

Non‑linear dynamic time history analysis

The non-linear dynamic time history analysis is the best 
method for the identification of building response under seis-
mic excitations; however, the accuracy of the result depends 
upon the number and selection of ground motion records. 
As discussed in Sect. “Ground motion records selection pro-
cedure”, the study demonstrated results acquired through 
the non-linear time history analyses performed through the 

selected real ground motion records and suitably scaled 
IMs. These records were subjected to be bidirectional at the 
support along 0° and 90°. Therefore, a total of 10 intensity 
measures (IMs) were generated for each record and a total 
of 840 (i.e., 210 × 4) IMs were applied in each case study 
building (includes the as-built and retrofit measures). The 
seismic performance of the building was evaluated with the 
help of building response as the maximum inter-storey drift 
and the level of damages was evaluated through the com-
parison between the seismic demand obtained from the non-
linear dynamic time history analysis and building capacity in 
terms of threshold drift proposed by Rossetto and Elnhashai 
(2003), as illustrated in Table 3.

Maximum inter‑storey drift  (ISDmax) profile

The seismic performance of the existing building after 
introducing the retrofit measures was evaluated through the 
comparison of the inter-storey drift profile. Figures 7, 8, 9, 
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Fig. 6  Comparative capacity curve between the existing building and its retrofit; a CCP1, b CCP2, c MRT1 and d MRT2. J Jacketing, B bracing 
and S shear wall
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10 presents the distribution of inter-storey drift for construc-
tion with and without retrofit measures in the existing build-
ings, subjected to the 11-ChiChiTaiwan earthquake, at 0.3 g 
PGA. All of the plots illustrated that the inter-storey drift 
was reduced significantly with the addition of retrofit strate-
gies. In addition, the  ISDmax concentration in a single sto-
rey mostly at the ground storey in the original building was 
significantly reduced, where uniform distribution of drift 
in both directions was attained. This indicates that uniform 
distribution of stiffness and strength was attained through the 
retrofit additions, a primary objective of the present study. 

It was also observed that the steel bracing was found to be 
more effective in reducing drift to a larger extent, followed 
by shear wall and jacketing, respectively. The inter-storey 
drift profile for the CCP1 building with and without ret-
rofit is shown in Fig. 7, and revealed that the  ISDmax was 
reduced by almost five to ten times in the X direction and 
two to four times in the Y direction compared to the original 
CCP1 building. The  ISDmax profile for the CCP2 building is 
presented in Fig. 8 and it was found that steel bracing highly 
reduced the  ISDmax to lower values, i.e. < 0.5% in both direc-
tions. In addition, the retrofit measure could reduce the 

Fig. 7  Representative com-
parative  ISDmax for the CCP1 
building with retrofit methods 
due to the 11-ChiChi Taiwan 
earthquake at 0.3 g PGA along 
the X and Y directions, respec-
tively. J Jacketing, B bracing 
and S shear wall

0

1

2

3

0 1 2 3 4

St
or
ey

ISDmax (%)

Fig. 8  Representative com-
parative  ISDmax for the CCP2 
building with retrofit methods 
due to the 11-ChiChi Taiwan 
earthquake at 0.3 g PGA in the 
X and Y directions, respectively. 
J Jacketing, B bracing and S 
shear wall

0

1

2

3

4

0 1 2 3 4

St
or
ey

ISDmax (%)

0

1

2

3

4

0 1 2 3 4

St
or
ey

ISDmax (%)

Fig. 9  Representative com-
parative  ISDmax for the MRT1 
building with retrofit methods 
due to the 11-ChiChi Taiwan 
earthquake at 0.3 g PGA in the 
X and Y directions, respectively. 
J Jacketing, B bracing and S 
shear wall
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 ISDmax by almost 2.5–5 times in the X direction and 3–7 
times in the Y direction relatively compared with the original 
CCP2 building. Figure 9 illustrates the distribution of drift 
profile for the MRT1 building, such that retrofit measures 
reduced the  ISDmax for this particular IM ranges from 4 to 10 
times in the X direction and 1.3–4 times in the Y direction as 
compared with the original building. Figure 10 demonstrates 
the inter-storey drift distribution for the MRT2 building, and 
a large reduction in the inter-storey drift was recorded after 
retrofit interventions. It was observed that the  ISDmax could 
be reduced by almost 4–7 times in the X direction and 3.5–7 
times in the Y direction relatively compared to the origi-
nal MRT2 building. In case of jacketing, the recorded drift 
reduction was not as expected, which exhibited almost 1% 
and 2%  ISDmax in the X and Y directions, respectively. This 
state of the building could be expected to have moderate to 
extensive damages.

Based on the above discussions, it can be concluded 
that the steel bracing was found to be relatively much more 
effective in reducing the maximum inter-storey drift and is 
valid for all case study buildings. Similarly, jacketing retrofit 
measure was observed to be less effective when compared to 
other retrofit methods, exhibiting higher  ISDmax.

Incremental dynamic analysis (IDA) curves

The seismic performance of the selected buildings under 
consideration was analysed through IDA curves, such that 
the  ISDmax as EDP was plotted along the abscissa and IMs 
along the ordinate (Vamvatsikos and Cornell 2002). The 
IDA curves for the CCP1, CCP2, MRT1, and MRT2 build-
ings are presented in Figs. 11, 12, 13, 14, 15, 16, 17, 18, 
respectively. The statistical distribution of demand param-
eters as a function of IMs for the selected ground motion 
records are shown by the light solid lines representing the 
individual IDA curve. The large dispersion of EDPs were 
recorded for the same IM, which signifies that the building 
response is primarily dependent on the selected earthquake 
frequency contents and recorded durations. The mean IDA 

curve is represented by the solid line, which is the average 
of EDPs obtained from 42 ground motions at each IM. Gen-
erally, the increase in IMs exhibits increase in the seismic 
demand as expected, but in some cases a decrease in  ISDmax 
was recorded even for increasing IMs. This is potentially due 
to hardening of the some structural elements and is most 
likely the non-retrofitted structural members or frames near 
new added elements. Such phenomena were largely observed 
in the existing buildings for higher IMs, and for few earth-
quakes in case of the retrofitted buildings. The building with 
and without retrofit measures showed the worst response for 
the Gorkha earthquake; which has a recorded duration of 
130 s and maximum PGA of 0.164 g.

Figure 11 presents the IDA curve for the existing CCP1 
building with and without retrofit measures. The plot for the 
existing CCP1 building exhibits larger  ISDmax even for lower 
IMs and can be expected to behave elastically until 0.2 g 
PGA and it can be predicted to have reached partial col-
lapse and collapse states beyond 0.4 g. These attained drift 
can be highly improved after the implementation of retrofit 
strategies, such that the elastic region can be extended until 
0.4 g PGA with jacketing and shear wall, whereas for the 
subjected IMs in case of bracing element.

The vulnerability assessment of the existing CCP1 build-
ing with and without retrofit can be investigated in more 
a generalized form through the comparison of mean IDA 
curves presented in Fig. 12. The mean IDA curves for the 
original CCP1 building exhibited 5%  ISDmax in both direc-
tions, at 0.5 g PGA, which illustrates the total collapse of 
the original building and it was reduced below 2%  ISDmax 
in both directions using retrofit measures. It can also be 
observed that the steel bracing exhibits reduced  ISDmax in 
both directions, whereas comparable drift in case of shear 
wall and jacketing. The  ISDmax for building with steel brac-
ing exhibits lower than 0.5%  ISDmax in both directions. All 
the above results and discussions led to the conclusion that 
the steel bracing was relatively more effective in improving 
seismic performance, followed by jacketing and shear wall, 
respectively.

Fig. 10  Representative com-
parative  ISDmax for the MRT2 
building with retrofit methods 
due to 11-ChiChi Taiwan 
earthquake at 0.3 g PGA in the 
X and Y directions, respectively. 
J Jacketing, B bracing and S 
shear wall
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The IDA curves for the existing CCP2 building with and 
without retrofit measures are presented in Fig. 13. The plot 
illustrates that the original CCP2 building can be expected to 
behave elastically for the majority of subjected earthquakes 
until 0.2 g PGA. In addition, the larger dispersion of EDP 

can be recorded for the same IM even for lower IMs, illus-
trating the fragile behaviour of the original building. After 
introducing the retrofit measures the entire retrofitted build-
ings behaved elastically for the subjected IMs and for the 
majority of selected earthquakes.
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Fig. 11  IDA curves for the CCP1 building and its retrofit in X direction; a CCP1, b jacketing, c bracing, and d shear wall
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Figure 14 presents the comparative mean IDA curves 
for the CCP2 building with and without retrofit measures, 
and shows that the existing CCP2 building can considerably 
reduce the mean drift to lower level than initially expected. 
The dynamic results revealed that steel bracing was found to 

be highly effective in reducing the  ISDmax in both directions, 
when compared with other retrofit measures. The retrofit 
measures could reduce the mean drift by almost three to four 
times in both directions compared to the original building, 
at 0.5 g PGA. The entire plots concluded that all retrofit 
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Fig. 13  IDA curves for the CCP2 building and its retrofit in the X direction; a CCP2, b jacketing, c bracing, and d shear wall
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techniques considered for the study would be effective in 
enhancing the seismic performance of the existing CCP2 
building, but steel bracing was found to be more effective.

Figure 15 presents the IDA curves for the MRT1 build-
ing with and without retrofit measures, illustrating a large 

scattering of the EDP even for lower IMs, such that the 
original building was observed to have reached extensive 
damage state at 0.2 g PGA. This could be mainly due to 
soft-storey building consideration in the present study; as 
a consequence, the probability of soft-storey failure at the 
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Fig. 15  IDA curves for the MRT1 building and its retrofit in X direction; a MRT1, b jacketing, c bracing, and d shear wall
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ground storey is highly susceptible. The original building 
can be expected to behave elastically until 0.1 g PGA for 
the majority of the subjected earthquakes, whereas it can 
be extended to 0.2 g and 0.3 g PGA using jacketing and 

shear wall, respectively, and behaves elastically for the 
subjected IMs for steel braced building.

The above discussed IDA curves might be beneficial in 
providing an overview of the discrete distributions of the 
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Fig. 17  IDA curves for the MRT2 building and its retrofit in the X direction; a MRT2, b jacketing, c bracing, and d shear wall
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building’s response with respect to IM, but it is difficult 
to generalize and draw a conclusion regarding the selec-
tion of the most effective retrofit measures. Figure 16 
presents the comparative mean IDA curves for the MRT1 
building with and without retrofit measures, and shows 
that all the retrofit techniques considerably reduced the 
mean drift to minimum values. In addition, steel braced 
building was found to be relatively much more effective in 
both directions compared to other measures. The attained 
mean drift, at 0.3 g PGA, for the MRT1 building was 
more than 6%, which predicts the collapse of the build-
ing and such drift was reduced below 1.5% using retrofit 
measures. This indicates that the potential collapse of the 
original building can be avoided using retrofit measures 
leading to moderate to extensive damage states. Further-
more, the building with retrofit measures, at 0.5 g PGA, 
revealed an average drift of approximately 2.5% and 3% 
in the X and Y directions, respectively. This state of the 
building would potentially have extensive to partial col-
lapse, but the life loss could be prevented or reduced due 
to its large deformation capability before collapse.

The IDA curves for the MRT2 building with and with-
out retrofit are displayed in Fig. 17. It can be observed 
from the plot that existing MRT2 building exhibits elastic 
region until 0.1 g PGA and reaches extensive damage 
level beyond 0.2 g PGA and partial collapse and collapse 
states at 0.4 g. This state of the existing building seismic 
performance can be enhanced by many folds with the 
addition of retrofit measures, such that the  ISDmax was 
reduced to a larger extent. After retrofit measures, the 
building with jacketing and shear walls can be expected 
to behave elastic behaviour until 0.3  g PGA in both 
directions, whereas for the subjected IMs in case of steel 
braced building.

Figure 18 presents the comparative mean IDA curves 
for the MRT2 building. All the retrofit measures were 
found to reduce the mean  ISDmax to minimum values. It 
was observed that steel braced building exhibited the low-
est mean  ISDmax for the considered IMs, when compared 
with other measures. In addition, the MRT2 building with 
shear walls and jacketing was recorded to exhibit compa-
rable mean IDA curves in the X direction; whereas in the 
Y direction shear wall measures exhibited slightly lower 
mean  ISDmax than the jacketed building. The original 
MRT2 building exhibited more than 5% mean  ISDmax, at 
0.3 g PGA, such that it experienced total collapse. After 
introducing retrofit techniques, the mean  ISDmax was 
reduced to below 2% in both directions, where the build-
ings had moderate to extensive damage states. From the 
above discussions, it can be concluded that the steel brac-
ing for the building was found to be much more effective 
than other techniques.

Fragility curves

The fragility curve is a statistical tool to estimate the level of 
structural damage states at certain IMs, plotted PGA along 
the abscissa and probability of exceeding along the ordinate. 
The fragility curve for a structure provides the conditional 
probability of exceeding a given state of damage taking 
into account the record of variability. The fragility curves 
are developed for the  ISDmax obtained from the non-linear 
dynamic time history analyses, such that the  ISDmax was 
assumed to be lognormally distributed. The present study 
will not discuss the development of the fragility curve; the 
EDP of the building, in particular IMs, was compared with 
the threshold drift as proposed by Rossetto and Elnashai 
(2003), presented in Table 3. The fragility curves for lower 
damage states, i.e. slight and light, were not presented, as the 
conditional probability of exceeding the peak for such dam-
age states was comparatively similar for buildings with and 
without retrofit measures. The dotted vertical line represents 
the boundary of 0.3 g PGA, which represents an earthquake 
of return period 475 years.

Figure 19 presents the comparative fragility curves for 
the CCP1 building with and without retrofit measures for 
moderate to collapse states. The entire plot illustrates that 
the addition of retrofit measures significantly reduces the 
conditional probability of exceeding damage states relatively 
compared to the existing CCP1 building. The steel bracing 
was recorded to have highly improved the seismic perfor-
mance of the existing building, such that the probability 
of damage states was lowered to minimum as compared to 
other techniques. For the moderate damage state, the steel 
braced building was found to be considerably effective in 
reducing the failure probability, whereas the effect of other 
techniques was insignificant. The probability of exceeding 
moderate damage state, at 0.3 g PGA, can be reduced by 
almost 50% using the steel bracing. In addition, the probabil-
ity of exceeding extensive damage for the existing building, 
at 0.3 g PGA, was almost 43%, and was reduced to 10 to 
2% through the addition of retrofit techniques. Similarly, in 
case of partial collapse, the bracing retrofit revealed theoreti-
cally zero failure probability, and most interestingly, jacket-
ing displayed better seismic performance than shear wall. 
The probability of exceeding partial collapse for the existing 
building, at 0.3 g PGA, was almost 22% and was reduced to 
8 to 4% with intervention using retrofit techniques. Further-
more, the probability of exceeding collapse for buildings 
with steel bracing and jacketing was theoretically zero. The 
probability of collapse for existing CCP1 building, at 0.3 g 
PGA, was 14% and was reduced to 2% with RC shear walls. 
Therefore, based on the comparison fragility curve results, 
it can be concluded that the steel braced building illustrates 
superior seismic performance.
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Figure 20 presents the comparative fragility curves for 
the CCP2 building for moderate to collapse states, where 
comparison was carried out between the existing and retro-
fitted buildings. All of the plots illustrate that a considera-
ble reduction in the failure probabilities was recorded after 
the addition of retrofit measures. In addition, it was found 
that the steel braced building exhibited minimal failure 
probability at all IMs when compared to other techniques. 
The retrofit measures could reduce the moderate damage 
probability by almost 20–70% compared to the original 
building, at 0.3 g PGA. In case of extensive damage, the 
failure probability was reduced to almost (30–40)%, at 
0.3 g PGA. Similarly, the comparative fragility curve for 
partial collapse exhibit large reductions in failure prob-
ability with retrofit techniques. Remarkably, a change in 
fragility pattern was recorded for partial collapse, where 
the jacketed revealed better seismic performance than 
shear wall technique. The probability of partial collapse 

was reduced, at 0.3 g PGA, by approximately 25%. The 
comparative fragility curves for the collapse state show a 
remarkable reduced in failure probability, which reduces 
to theoretically zero for all retrofit techniques. The prob-
ability of exceeding collapse for the existing building, at 
0.3 g PGA, corresponded to 22% and retrofitted build-
ings could reduce this to below 1.5%. From all the above 
discussions, it can be stated that the addition of retrofit 
techniques would be more effective in reducing the higher 
damage states. This also indicates that retrofit techniques 
are effective in reinstating the existing building to its origi-
nal form so that it does not require heavy repair and main-
tenance works after future earthquakes. This ultimately 
minimizes the loss due to human injuries and fatalities, 
and also minimizes the structural and non-structural loss, 
the objectives of the present study. The steel bracing was 
found to be much more effective in improving the seismic 
performance for this particular CCP2 building.
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Fig. 19  Fragility curves with and without retrofit for the CCP1 building; a moderate, b extensive, c partial collapse, and d collapse. J Jacketing, 
Br. bracing and Sh. shear wall
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The suitability of each retrofit technique for various 
damage states can be evaluated by comparing the fragil-
ity curves. Figure 21 presents the comparative fragility 
curve for higher damage states. All of the plots illustrated 
that steel braced reinforcement was the most effective in 
reducing the failure probabilities. The comparative fragility 
curves for moderate damage reveals that peak damage ini-
tially occurred below 0.1 g in case of the original building, 
and its occurrence was shifted beyond 0.5 g with addition 
of retrofit measures. Interestingly, the comparative fragil-
ity curves for steel-braced retrofitting beyond the moderate 
damage state revealed theoretically null failure probability. 
The probability of exceeding extensive damage state, at 0.3 g 
PGA, could be reduced by 60–80% using retrofit measures in 
the original building. In addition, the probability of exceed-
ing partial collapse and collapse, 0.3 g PGA, could also be 
reduced by 90% and 35–40%, respectively. Summarizing all 
the attained results, it can be concluded that the steel bracing 
was found to be the most effective in improving the seismic 

performance of existing MRT1 building, followed by con-
crete jacketing and RC shear wall, respectively.

The most effective and efficient retrofit techniques for 
the MRT2 building and the level of damage that could be 
reduced after their intervention can be interpreted through 
the comparative fragility curves, plotted between the origi-
nal MRT2 building and retrofitted buildings are shown in 
Fig. 22. For the selected damage states, the steel braced 
building was observed to demonstrate lower failure prob-
abilities. Similarly, when comparing between the build-
ings retrofitted with RC shear wall and concrete jacketing, 
shear walls were found to be slightly more effective in 
moderate and extensive damage states, whereas jacketing 
displayed better seismic performance for partial collapse 
and collapse states than shear wall. The failure probability 
of moderate damage, at 0.3 g PGA, could be reduced by 
35–75% from the original building. Similarly, the prob-
ability of exceeding extensive damage, partial collapse 
and collapse, at 0.3 g PGA, was reduced by 25–40%, 25% 
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Fig. 20  Fragility curves with and without retrofit for the CCP2 building; a moderate, b extensive, c partial collapse, and d collapse. J Jacketing, 
Br. bracing and Sh. shear wall
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and more than 20%, respectively, compared with the origi-
nal building. Theoretically, the probability of exceeding 
partial collapse and collapse was reduced to lower val-
ues, i.e. < 2% and < 1%, respectively. Summarizing all the 
obtained results, it can be concluded that steel bracing was 
found to be relatively much more effective in enhancing 
seismic performance.

Conclusions

The preliminary detailed investigations concluded that the 
case study non-engineered and pre-engineered buildings 
were found to be seismic deficient and later employed three 
commonly practised retrofit measures with the objective that 
the retrofit measures could enhance seismic performance in 
the existing buildings. The various conclusions obtained are 
summarized below.

• The retrofit measure improves the global building 
stiffness, strength and ductility capacity of the existing 
buildings. The increase in stiffness for the CCP1 build-
ing ranges from 4 to 7 times and increase in maximum 
strength by 2–3 times in both directions relatively com-
pared to as-built CCP1 building. In case of the CCP2 
building, the increase in stiffness was 1.5–2.5 times and 
maximum strength increased by 2–3.5 times in both 
directions. For the MRT1 building, the increase in stiff-
ness and maximum strength capacity were almost 3.5–7 
and 4–10 times, respectively. Furthermore, in case of 
the MRT2 building, the increase in stiffness was 1.5–3 
times and maximum strength increased by 1.5–3 times 
compared to as-built building.

• All of the retrofit measures significantly reduced the 
maximum inter-storey drift to lower level. A single sto-
rey drift concentration recorded in the existing build-
ings can be evenly distributed throughout the building. 
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Fig. 21  Fragility curves with and without retrofit for the MRT1 building; a moderate, b extensive, c partial collapse, and d collapse. J Jacketing, 
Br. bracing and Sh. shear wall
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This ensures the uniform distribution of stiffness and 
strength throughout the height.

• The intervention of steel bracing found to be more effec-
tive in reducing the inter-storey drift to lower values 
compared to other techniques. The maximum inter-storey 
drift was reduced by almost 5–10 times in X and 2–4 
times in Y direction of the CCP1 building. In case of the 
CCP2 building, the  ISDmax was reduced by 2.5–7 times 
in both directions. The  ISDmax was reduced by 4–10 
times in the X direction and 1.3–4 times in the Y direc-
tion of the MRT1 building. Furthermore, the  ISDmax was 
reduced by almost 4–7 times in both directions for the 
MRT2 building.

• The IDA curve illustrates that with the increase in IMs, 
the building exhibits increasing seismic response, as 
expected. The original CCP1 building was expected to 
be in the elastic region until 0.1 g, but the retrofit intro-
duction can increase it up to 0.3 g PGA. The mean IDA 
curves concluded that the steel bracing exhibited lower 

 ISDmax as compared to other techniques. The original 
building in the collapsed state, at 0.5 g PGA, could be 
reinstated to moderate to extensive damage states by the 
addition of retrofit measures in the CCP1 building. In 
case of the CCP2 building, the retrofit measures reduced 
the mean drift ranges from three to four times in both 
directions compared to the original CCP2 building. The 
mean drift for the MRT1 building, at 0.3 g PGA, was 
above 5% and could be reduced to below 1.5% using ret-
rofit measures. The recorded mean drift of more than 5% 
for the MRT2 building, at 0.3 g PGA, could be reduced to 
below 2% in both directions using the retrofit measures.

• The retrofit measures largely reduced the building fail-
ure probabilities, such that the original CCP1 buildings 
failure probability in case of extensive damage, at 0.3 g 
PGA, was 43% and could be reduced from 10 to 2%. The 
probability of exceeding partial collapse and collapse 
states could be reduced below 8% and 2%, respectively. 
For the CCP2 building, the probability of exceeding par-
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Fig. 22  Fragility curves with and without retrofit for the MRT2 building; a moderate, b extensive, c partial-collapse, and d collapse. J Jacketing, 
Br. bracing and Sh. shear wall
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tial collapse and collapse states, at 0.3 g PGA, could be 
reduced below 2% and 1.5%, respectively. The probabil-
ity of partial collapse and collapse states, at 0.3 g PGA, 
for the MRT1 building reduced by almost 90% and 40% 
respectively. Furthermore, the probability of partial col-
lapse and collapse states, at 0.3 g PGA, for the MRT2 
building could be reduced by more than 25% and 20% 
respectively.
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